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INTRODUCTION AND SCOPE OF THIS SUBMISSION
The first purpose of this submission is to review the key findings of the work commissioned
by the Department of Building and Housing (the DBH) on the Canterbury Television Building
(CTV Building) Collapse Investigation, as reported by Dr. Clark Hyland and Mr. Ashley
Smith in January 2012 (H-S Report). This submission will show that while the H-S Report
has been comprehensively executed, much of the analysis has been based on several
erroneous assumptions. The claims resulting from the CTV Building Collapse Investigation
are therefore faulty in their reasoning leading to incorrect conclusions.
This

submission

also

considers

the

remarks

made

by

Mr.

William

Holmes

[BUI.MAD249.0372] who was the formally assigned external international peer reviewer of
the H-S Report. Holmes is moderately critical of several technical points in the H-S Report,
the foremost of which he considers the neglect of modeling the connections correctly. He
goes on to point the way forward in seeking the truth to what really caused the final collapse
of the CTV Building, but falls short of drawing firm conclusions.
It should be noted that during the course of the CTV Building Collapse Investigation, the
Hyland-Smith team was advised by an external group appointed by the DBH. Professor
Nigel Priestley was the senior engineering advisor within the external group. Because the
advisory group and the Hyland-Smith team were not in agreement with the conclusions
made in the H-S Report, Prof. Priestley was invited by the Royal Commission of Inquiry (the
Commission) to make a separate submission. Like Holmes, Prof. Priestley also points out
several weaknesses in the report and also points the way forward, but without coming to
definitive conclusions.

This submission discusses the remarks by Prof. Priestley
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[WIT.PRIESTLEY.001] who criticizes some of the procedural analyses presented in the H-R
Report, and hence rebuts many of the conclusions made by the Hyland-Smith team.
The second purpose of this submission is to present, analyze and discuss the results of new
work done since the completion of the H-S Report. This new work includes:


A comparative analysis of the ground motions recorded recently at the CTV Building
site with the four other Geonet free-field recording stations within the vicinity of the
central business district (CBD) of Christchurch;



A further analysis of concrete test results on test cylinders cored from the undamaged
column remnants retrieved from the CTV Building and tested by CTL Thompson
Materials Engineers, Inc of Denver, CO, USA (CTL);



A review of the work completed to date by Dr. Rajesh Dhakal, an Associate Professor
at the University of Canterbury who was commissioned to conduct full-scale tests on
large intact column remnants retrieved from the CTV Building;



An analysis of column performance under double bending within each floor level of
the CTV Building to show the sensitivity of the concrete strength and confinement
effects under different levels of axial load; and



Some general conclusions from the above points.

The third and final purpose of this submission is to provide an alternative hypothesis to the
original collapse hypotheses proposed in the H-S Report. It is shown that the columns,
independent of their degree of ductility capability, could have collapsed over the lower four
stories from a classic type of buckling (known as Euler buckling), largely due to the overload
effects arising from extremely high vertical ground motions and promoted from a deteriorated
beam-column joint condition.
At the time of writing this submission, full corroboration of the alternative collapse hypothesis
through advanced computational analysis is still a work-in-progress. The additional analysis,
to be conducted by Compusoft Engineering Ltd (Compusoft), the original subcontractors for
the H-S Report, through the computational non-linear time history analysis (NTHA) expert
panel process, may provide useful insights that are expected to support or modify the
alternative collapse hypothesis.
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1.

A CRITIQUE OF THE HYLAND-SMITH REPORT AND ITS KEY FINDINGS

The principal conclusion in the H-S Report states:
“The investigation has shown that the CTV Building collapsed because
earthquake shaking generated forces and displacements in a critical column
(or columns) sufficient to cause failure. Once one column failed, other
columns rapidly became overloaded and failed.” (Executive Summary)
The above conclusion is so generic that it could apply to virtually any type of building
collapse. Moreover, this conclusion is so vague it is neither helpful nor insightful. What is
also not clear is what specific forces or displacements are being referred to: north-south (NS); east-west (E-W); a torsional combination; up-down (vertical); or an unknown combination
of all of these. On further reading of the H-S Report, it becomes clear that an emphasis is
placed on lateral displacements as the principal trigger mechanism that initiated collapse.
Initial clues to this are found in the contributing factors listed at the commencement of the
Executive Summary, with a more detailed discussion in Section 8 (Collapse Scenario
Evaluation) of the H-S Report. This submission responds to and critiques the supporting
conclusions made in the H-S Report, addressing each of the contributing factors in turn. .
1.1

Higher than expected horizontal ground motions

The CTV Building was designed and constructed in compliance with the applicable design
and building codes and the developer was granted a building permit from the Christchurch
City Council. The CTV Building was also designed in accordance with the accepted industry
practice of the 1980s for a structure to withstand much smaller elastic forces than a full
“design-level” earthquake.

Then when the full force of the “design-level” earthquake is

applied, the structure is expected to be damaged, but without collapse.

Even though

damage to the structure can be tolerated, life-safety via collapse-prevention must be
ensured. To illustrate the design process, and how the structure

of the CTV Building

measured up to the design expectation, a comparison of the as-designed seismic capacity
with the two major earthquakes it was exposed to will now be given.
The CTV Building had a first mode natural period of T= 1.0 seconds, for which the loadings
code NZS4203 (1984) specified a spectral acceleration coefficient of C=0.095. Implicit in
this prescribed value is that structures, if appropriately detailed, should survive an
earthquake some 4 times the value of C=0.095. Thus, at T = 1.0 seconds, a 5% elastic
response spectral acceleration ordinate of Sa = 0.38 g is implied by the loadings code for the
3
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CTV Building. Note g = gravitational acceleration = 9.81 m/s/s.
Recent work by Dr. Brendon Bradley (2012) has shown that for the 22 February, 2011
earthquake (Christchurch Earthquake), at the CTV Building site a median conditional
spectral amplitude for T = 1.0 seconds is Sa [50%] = 0.75 g. However, there is considerable
spread and the plus/minus one standard deviation give results of Sa [84%] = 1.0 g and Sa
[16%] = 0.55 g, respectively.
Explanatory comment: Whenever an earthquake strikes, vibration waves propagate through
the rocks and soils. Soils are particularly problematic because their properties vary so much,
in a random type of fashion. Therefore, the manner in which the seismic waves propagate is
affected by this randomness in the soil’s properties—the velocity and severity of the seismic
waves are altered by the soil variability. For example, at two relatively nearby sites, seismic
sensors could record potentially quite different outcomes, particularly in the high frequency
band. Any two earthquakes have quite different properties. In general, this randomness or
variability is called “aleatory uncertainty”, a type of uncertainty that can be quantified and
thereby mathematically modeled in a probabilistic sense. When such known uncertainty is
applied to the CTV Building site, it leads to a relatively broad band of possible outcomes. In
statistical terms, this is quantified via the standard deviation. From any statistical tables this
band of spread ranges from the 16th percentile (meaning 16 out of 100 similar events would
have a smaller result) to the 84th percentile (or 16 out of 100 similar events would have a
larger result). Or in other words, roughly two-thirds of all possible events or earthquakes like
the Christchurch Earthquakes would be expected to produce vibration signatures that would
fall within this plus/minus one-standard deviation range.

Compared to code-base design motions, the CTV Building site withstood much higher than
expected horizontal ground motions.

For any structure to survive such a high level of

shaking is a bonus; it was certainly not a requirement at the time the CTV Building was
designed and constructed in the late 1980s.

So the supporting conclusion in the H-S

Report,, that “higher than expected horizontal ground motions were observed,” is correct.
However, the H-S Report essentially neglects the effect of earlier earthquakes on the
structure of the CTV Building.
While much higher than expected ground motions were observed during the Christchurch
Earthquake, focusing the discussion on this disregards the fact that the CTV Building, and
indeed all structures in the Christchurch area, suffered varying degrees of damage in
previous earthquakes, commencing with the magnitude 7.1 earthquake in Darfield on 4
September, 2011 (Darfield Earthquake). Based on the results from Bradley (2012), at the
CTV Building site the Darfield Earthquake produced a median conditional spectral amplitude
for T = 1.0 seconds of Sa [50%] = 0.33 g, with a plus/minus one standard deviation spread of
4
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Sa [84%] = 0.44 g and Sa [16%] = 0.24 g, respectively. Hence it can be inferred that there is
a 40% chance that the Darfield Earthquake ground motion at the CTV Building site was
larger than the design level of ground motion. That is, the initial Darfield Earthquake alone
produced essentially the same forces and acceleration that the Christchurch City Council
permitted CTV Building was designed to resist. By design, significant damage would be
expected from such a level of ground shaking. The fact that the CTV Building survived the
design-level Darfield Earthquake, with only minor visually observed damage, is a testament
to the sufficiency of the design—it met the aim and objective of the design codes.
However, as will be discussed in section 2 below, it is evident that the structure of the CTV
Building must have also sustained hidden (unobserved and/or unobservable) damage. It
can be argued that with the level of observed as well as hidden damage, the CTV Building
should have been “Red Stickered” following the Darfield Earthquake. Inspecting engineers
would have been well aware that the level of ground motions sustained was similar to the
level that the design code NZS4203 of 1984 called for. This should have served as a signal
that substantial inelastic response would have occurred, whether it was seen or unseen. It is
therefore concerning that the inspectors did not immediately Red Sticker the CTV Building.
What is more concerning is that following the Darfield Earthquake, eyewitnesses reported on
numerous occasions that the CTV Building was uncomfortably lively. Again, this should
have served as a signal and as further confirmation to inspecting engineers that the CTV
Building had sustained some hidden damage, and that they should take a second look to
determine the source of damage. Some insights into the cause of this structural liveliness
are discussed at the close of section 1.2 below.
1.2

Exceptionally high vertical ground motions

The seismic design environment of the 1980s
During the 1980s, structural engineers operated using a heuristic rule that vertical ground
motions would be about two-thirds of the horizontal motions. Stiff and heavy horizontal
elements such as floor slabs tend to have high vibration frequencies greater than 2 Hz, that
is the vibration periods for those elements are normally T < 0.5 seconds. The 1980s design
spectrum for Christchurch for short periods (that would affect higher modes, such as floors)
was C = 0.125. This implies elastic spectral response accelerations of Sa [T < 0.7seconds]
= 0.5 g and 0.33 g, for horizontal and vertical motions, respectively. Floor slabs tend to be
excited by these vertical ground motions, and at this modest level of shaking the normal
safety factors inherent in gravity load design make the floors capable of sustaining the
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vertical ground motion induced vibrations.
By inspecting the vertical response results in the H-S Report (Figures 51 and 56), it is
evident that the CTV Building had a floor system with a vibration period of T = 0.25 seconds
(4 Hz).

During the Christchurch Earthquake the observed vertical spectral response

accelerations results are Sa [T = 0.25 seconds] = 0.55, 0.65, 0.85 and 0.95 for the CBGS,
CHHC, CCCC and REHS recording stations, respectively. Clearly, these seismic demands
were much higher than the expected level of 0.33 g implied by design. Thus, the supporting
conclusion of H-S Report that “exceptionally high vertical ground motions” helped lead to the
demise of the CTV Building is correct. But again, the H-S Report essentially neglects the
effect earlier earthquakes had on the structure of the CTV Building.
During the Darfield Earthquake the observed vertical spectral response accelerations results
were Sa [T = 0.25 seconds] = 0.30, 0.30, 0.27 and 0.37 for the CBGS, CHHC, CCCC and
REHS recording stations, respectively. These demands are about the same as the 0.33 g
that would be expected for a “design-level” ground motion. Again, inspecting engineers
would have been aware that this design expectation for the CTV Building either was already
met or had been exceeded. Therefore, engineers should not have been surprised by reports
from occupants that the CTV Building was considerably more lively after the Darfield
Earthquake. The effects of the damage as felt by the CTV Building occupants should have
served as sufficient evidence that the CTV Building should have been Red Stickered.
The Unexpected consequences of Exceptionally High Vertical Ground Motions Heading
Not referred to in the H-S Report is the fact that the CTV Building had a continuous threespan one-way slab system in the N-S direction. The relatively high vertical vibrations from
earthquakes prior to the Christchurch Earthquake essentially would have “broken” the fixedend condition to make the slabs function more like three individual simply supported units.
Therefore, vibration-induced deflections would be amplified up to some 500%. Although
these vibrations made the CTV Building occupants feel uncomfortable, they would not have
seriously impaired the safety of the vertical load-carrying system. However, the floor-seat
connection damage made the CTV Building ill-prepared to survive subsequent large
earthquakes, in particular the Christchurch Earthquake, which produced force demands and
accelerations that were some three times larger than those implicitly accommodated for in
the code-based designs of the 1980s. During the Christchurch Earthquake, out-of-plane
shaking induced damage would have impaired the ability of the floors to adequately transmit
concurrent in-plane forces and may have led to a buckled folded-plate failure mode.
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In light of these exceptional demands on the CTV Building, it is quite surprising that this point
has not received more attention. For example, if we were to run this analysis as a graduate
student project, the students would be instructed to analyze the effect of the vertical ground
motions alone (without horizontal components of ground shaking) and to investigate the
extent of damage caused to the structure. Naturally, all motions combined would also be
analyzed as well and the results compared. Instead of the effect of horizontal actions being
the primary cause of the CTV Building failure, it is contended that the exceptionally high
vertical ground motions were a primary contributor to triggering the CTV Building's failure
and subsequent collapse.
1.3

Lack of ductile detailing in critical columns

Although “confined” concrete columns have been the hallmark of building and bridge
structures constructed in New Zealand since the 1970s, a liberal interpretation of the 1980s
building design codes allowed for designers to choose other strategies to provide
earthquake resistance. It appears that the deviance from ductile detailing in the concrete
columns was contentious at the time that the CTV Building designer sought the building
permit from the Christchurch City Council. This deviance from customary ductile detailing
remains a contentious issue in the H-S Report.

Good ductile detailing, including

confinement of columns, is highly desirable in the delivery of a robust structure.
However, during the 1980s era of building construction there began a time when developers
and contractors put immense pressure on structural designers to deliver buildings at lowcost, coupled with rapid construction details. The former mold was broken, moving from
cast-in-place moment-frame systems that were the hallmark of a mini building boom in the
1970s, to the entirely modular precast structures of today. This modern era started around
the time of the design of the CTV Building when the time-cost-of-money (interest rates
~26%) was dictating shorter project delivery times. The CTV Building was in fact quite
revolutionary at that time, as the details of the design are clearly contractor-friendly.

It

appears to be for these reasons that the structural designer evidently sought a simpler form
of construction that avoided the use of copious quantities of transverse reinforcing steel to
provide a ductility capability.
Transverse reinforcement in columns provides three primary functions:
(i)

It confines and strengthens the core concrete so that when the cover concrete in the
end regions spalls off at high bending strains, the strength is restored due to the
substitution of the strong confined core. Confined concrete also permits very large
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strains to exist (from sway effects) while still providing a substantial amount of stress
(resistance).
(ii)

It provides additional shear resistance that is not possible once the concrete cracks.
Because the concrete is highly strained (and highly cracked) in the end regions of the
columns, the shear strength is sustained through tightly wound spirals or closely
spaced hoops.

(iii)

Under high bending rotations, once the cover spalls off, the longitudinal reinforcing
steel is prone to buckle. Closely spaced transverse steel inhibits this buckling and
allows the reinforcing bars to maintain their high compression strains and loads.

Although it is true that the columns were not provided with substantial transverse
reinforcement, this was neither a problem nor a cause of failure within the CTV Building. If it
were a cause of the collapse, then there would be substantial forensic evidence indicating
that most columns had significant lengths of cover concrete spalled off, substantial buckling
of longitudinal reinforcing bars due to the high axial loads, and diagonal shear cracks. There
is little evidence of such damage to the columns of the CTV Building. There is only some
minor evidence that short circumferential rings of concrete were missing, but it is contended
that this was mostly an outcome of the CTV Building collapse—not the cause.
There is an analogous problem to low transverse reinforcing steel in the columns: no
transverse reinforcing steel in the beam-column joint regions. Transverse reinforcing steel in
the beam-column joint regions in the form of horizontally oriented closely spaced spirals or
hoops is normally provided to help resist high joint shear forces. Such horizontal joint steel
is also called “confining steel” in the United States, whereas in New Zealand it is merely
called joint-shear reinforcement. Such reinforcement is not intended for reasons of ductility
per se, rather it provides the two functions listed in paragraphs (ii) and (iii) above.
The shear force demands in beam-column joints are several times greater than in the
surrounding columns and beams.

For robust performance, it can be shown from the

fundamentals of mechanics that there should be roughly the same area of transverse
reinforcing steel in the beam-column joint as there is in the top and bottom beams combined.
Such highly reinforced joints are very hard to construct, and contractors certainly prefer not
to place steel in the beam-column joints as it is a very slow, awkward and therefore costly
within the construction process.
The fact that a beam-column joint has no transverse steel does not mean that it does not
have a shear transfer mechanism. Instead, concrete arch action occurs and a diagonal
8
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concrete-strut provides the shear transfer mechanism. The concrete strut also serves as
part of the axial (gravity) load path. However, the joint concrete's ability to transmit this
heightened level of load due to higher stress intensities is impaired under significant
transverse tension strains (1), cyclic loading effects, or both. Earthquakes are of course
highly cyclic in nature and the alternating loads eventually wear the concrete's resistance
down to a point where it becomes rubble.
It is contended that the lack of joint-shear reinforcement is one of the principal contributing
factors to the CTV Building's collapse.

In fact, prior to the Christchurch Earthquake,

substantial fatigue-like damage would have already existed in the joints in the CTV Building.
Damage to the concrete beam-column joints resulting from the Darfield Earthquake also
provides additional evidence of the lively nature of the CTV Building structure.
The simple beam-column cruciform subassemblage, as depicted in Figure B.5 of the
Compusoft Report, is not complete. When properly completed, it tells the story of very high
joint shear intensity, where the beams are stronger than the columns and the columns
stronger than the joints. For the CTV Building, because the joints were the weak link in the
chain, they were part of a primary trigger mechanism of the collapse mode.
Finally, on this point of ductility, it can be shown that if the NZS3101 code-prescribed amount
of transverse reinforcement was provided in the columns, this would not necessarily have
prevented the collapse of the structure of the CTV Building via the columns. This is because
the 400 mm diameter columns were small with a relatively high degree of cover concrete,
sized for a Darfield Earthquake type of event—a test which the CTV Building demonstrably
passed.

Had 500 mm diameter columns been used, along with closely spaced spiral

(confinement) reinforcing in the columns, and even more closely spaced spiral in the beamcolumn joints, then the CTV Building would have still been damaged in the Christchurch
Earthquake, but the vertical load path would have been maintained thereby giving the CTV
Building a greater chance of surviving a collapse. But in the 1980s at the time of design,
such columns and joints would have been considered an expensive and unnecessary luxury
that would minimize the developer's profit margin.
1.4

Low concrete strength in the critical columns

When an engineered structure is being built, the contractors order materials based on a
specified strength. Once purchased, there is a design-based implication that there should
be a 95% chance that the observed strength of any materials sampled either meets or
exceeds the specified strength. Thus the as-built strength is generally somewhat greater
9
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than the specified strength.

The in-situ strength of concrete is formally defined as the

average crushing stress (in MPa units) of three standard 100 mm diameter by 200 mm long
test cylinders when tested at 28 days after pouring the concrete. To achieve a concrete
strength to ensure a 95% exceedance probability that the provided in-situ strength will be
greater than the specified strength, the ready-mix concrete batching plant uses a target
mean strength that is greater than the specified strength by some 25%. Once placed, the insitu concrete further hardens over time, such that after a few years the strength is typically
20% greater than the 28 day test results. Therefore, when assessing the strength of an asbuilt structure in the absence of any material test data, it is customary professional practice
to use a probable strength of 1.5 times the specified strength. However, in order to conduct
a full forensic analysis of any collapsed structure, it is wise to obtain and test samples of the
materials used in the structure to ascertain the actual as-built strength.
When analyzing the concrete strength in the critical columns of the CTV Building, Opus
International Consultants Limited (Opus) (the subcontractors) carried out the formal testing
of the concrete using several core samples extracted from the CTV Building. These small
diameter test cores were obtained by drilling into the sides of the CTV Building columns. To
supplement only a few destructive crush-test results on these smaller than standard cylinder
specimens, an alternative rapid non-destructive test method was also applied—the SchmidtHammer test. Once calibrated and collated, the results were averaged for all concrete and
presented graphically in the form of a normal distribution, as shown in Figure 5 of the H-S
Report.
Examination of the plotted test results imply that the as-built concrete only possessed a
characteristic strength (that means a 95% exceedance probability) of 15 MPa. Clearly this is
an unrealistic result. It is evident from a cursory inspection of the rubble at the Burwood
dump site, that the quality of the concrete is mixed; much of it is damaged partly from the
collapse, and also in part by the fire. However, a substantial amount of the concrete appears
to be undamaged. A visual inspection reveals the quality to be quite sound and not likely to
be as weak as 15 MPa.
Dr. James MacKechnie was engaged by the Commission to review the concrete tests and
the associated conclusions in the H-S Report.

His review [BUI.MAD249.0362.1]) casts

serious doubt on the process and procedures.
Dr. Brendon Bradley was engaged by Buddle Findlay on behalf of ARCL to conduct further
analyses on the concrete test results presented in the H-S Report. His rigorous and formal
probabilistic analysis shows that there is no statistical significance in the claim that the
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columns had lower concrete strength than specified.
CTL in the United States tested eight large-diameter core samples extracted from the central
region of column remnants from the CTV Building collapse. All test results showed the
concrete to be above the specified strength, with an average value of f’c = 40 MPa. Even
without further analysis, it is immediately apparent that the CTL results are more reasonably
in keeping with what one would expect to observe with concrete aged some 25 years.
In concert with the physical strength tests conducted by CTL, Mr. Douglas J. Haavik was
engaged to conduct a detailed materials study on the quality of the concrete in the columns
of the CTV Building. Haavik concludes:
“…there is no reason to believe that there was a systematic reduction in
concrete strength supplied to the project and that any such strength reduction
is likely attributable only to gross error for a specific load of concrete which
itself is extremely unlikely.”
In spite of the so-called “low concrete strength in the critical columns,” Compusoft wisely
chose to ignore this advice from Opus, and used the “specified strength + 2.5 MPa.”
However, in light of the more recent evidence from the CTL labs, even this assumption was
on the low side of the probable strength.
Further analysis is presented below in the Section 2 of this submission on the concrete tests
conducted by the CTL labs. This analysis demonstrates that had the customary practice
been used of having a probable strength of 1.5 times the specified strength, then more
realistic results would have been obtained in the non-linear time history analyses (NLTHA)
work conducted by Compusoft. In summary, the claim in the H-S Report that the concrete
had low concrete strength in the critical columns is erroneous.
1.5

Interaction of perimeter columns with the spandrel panels

Historically there have been many instances of collapsed structures where the so-called
“soft-story” effect has been caused by the presence of “short” shear-critical columns. Often
the short column effect is due to the presence of up to half-story high infilled frames. The
presence of the spandrel panels in the CTV Building alludes to this class of failure, with the
resulting collapse mechanism development also shown in Figures 17 and 18 of the H-S
Report.
While the interaction of the perimeter columns with the spandrel panels in the CTV Building

11

BUI.MAD249.0446.12

may have been a contributing factor in the final demise of the structure, this was neither the
trigger nor the cause of the collapse. The exterior frames where the spandrels were present
were more lightly loaded than their interior cousins. This lighter value of axial load reduces
the P-delta instability effect. It will be shown later that the more heavily loaded interior
columns were more critical.
When future analyses on the CTV Building are conducted, it is essential that the spandrel
effects are modeled directly with the use of gapping elements that mimic the opening and
closure of the clearance gap between the columns and spandrel panels. Unless this feature
is modeled accordingly, it is not possible to know whether the interaction of the exterior
columns on Line F in particular (the basis for the main collapse hypothesis proposed in the
H-S Report) was instrumental in initiating the structural collapse of the CTV Building.
1.6

Separation of the floor slabs from the North Core

It is agreed that the separation of the floor slabs from the North Core is problematic. This
separation permitted differential displacements to occur between floors. In the alternative
collapse hypothesis developed in Section 3 of this submission, it will be shown that in many
respects, this detail in the CTV Building would perhaps be a necessary feature of several
different failure modes, including that proposed in the H-S report.
Notwithstanding this detailing feature due to the absent drag-bars, the history of the CTV
Building design should be recalled. The original Christchurch City Council permit for the
CTV Building construction did not require drag-bars as part of the design. Just a few years
after the construction was complete, the CTV Building was up for sale and as part of the sale
process, Holmes Consulting Engineers pointed out that drag-bars should be installed on all
floors.
However, on the design review by ACRL, based on the required resistance for the designlevel earthquake, ARCL recommended that the drag-bars need not be placed on all floors.
On the one hand ARCL have been criticized for not providing sufficient redundancy in their
detailing. But on the other hand, ARCL can feel vindicated because the structure survived
the design-level Darfield Earthquake without collapse, which was a main aim of the design.
1.7

Accentuated lateral displacements of columns due to the asymmetry of the
shear wall layout

Similar to the issue in section 1.5 above, while the accentuated lateral displacement of the
CTV Building columns may have contributed to the collapse of the CTV Building, this factor
has been overstated. (This overstatement has also been noted by Prof. Priestley.)
12
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Although pushover analyses have been conducted by Compusoft on the CTV Building, the
results were not put to good use to give further insights into the performance of the CTV
Building. The NLTHA also conducted by Compusoft was in 3D. Consequently all torsional
and eccentricity features are automatically captured in that more rigorous advanced method
of analysis.
One simple method to check whether the lateral-torsional coupling effects are significant is
to apply the results of the pushover analyses. In theory, it is possible to take the pushover
curves of a structure and normalize them, then superimpose the normalized pushover
curves on the Acceleration-Displacement Response Spectrum (ADRS). By performing this
analysis, a single-degree-of-freedom (SDOF) simplification can be made of the structure and
then used along with an appropriate damping factor for modeling overall system hysteretic
behavior, in order to infer the maximum earthquake response of the structure.
When performing this simplified “capacity-spectrum” (SDOF-ADRS) method of analysis on
the CTV Building, the results agree remarkably well with the NLTHA; they do not indicate
that the translational displacements are significantly amplified by lateral torsional
(eccentricity) effects.
1.8

Accentuated lateral displacements due to the influence of masonry walls on the
west face

The west wall of the CTV Building was damaged due to two factors. First, the Darfield
Earthquake left the west part of the CTV Building badly cracked. This damage and the
additional aftershock damage, along with more damage that was most likely sustained as a
consequence of the demolition of the adjoining building, would have left the integrity of the
west wall of the CTV Building impaired.

Eyewitnesses even reported seeing daylight

through portions of the west wall [WIT.HARRIS.001].

Consequently, subsequent to the

Darfield Earthquake the west wall and frame was essentially unfit for the purpose of
providing a substantial degree of seismic resistance. Evidently, the deteriorated condition of
the west wall was so serious that it was necessary to implement repairs which were still
being undertaken at the time of the Christchurch Earthquake.
Second, the lack of integrity of the west wall may have contributed in promoting the
unseating of the E-W beams along column lines 2 and 3 of the CTV Building.

It is

hypothesized that the pull-out of those beam connections into the west wall region led to the
unseating of the beams. As a consequence, the gravity load, normally carried down the
west wall frame, would need to be resisted elsewhere.

This load would be mostly

transferred to the neighboring interior columns along line B of the CTV Building.
13

The

BUI.MAD249.0446.14

additional axial load demand, along with the exceptionally high vertical ground motions
would then cause a “P-delta” type of instability of the columns under sidesway. This may
well have been the principal cause of damage of the CTV Building in the Christchurch
Earthquake. This collapse concept is analyzed further in Section 3 of this submission.
1.9

Limited robustness and redundancy

The CTV Building did have a limited degree of robustness and redundancy, but this
conclusion is based on different reasons than those set out in the H-S Report. The CTV
Building was a one-way slab system, which is relatively unusual in the modern era of
buildings. In two-way slab systems, the floor deflections are significantly smaller as the
slabs are stiffer. But the integral (more robust and redundant) two-way slab-on-beam floor
systems are also more expensive and slower to build. Cast-in-place concrete is normally
used for the two-way systems—a slower, more labor-intensive construction method.

In

contrast, the CTV Building was in a different class of structural systems that consisted of
mostly one-way frame and floor systems. The modern building era has adopted a variety of
precast modular building systems.
As explained in section 1.1 above, the CTV Building survived its “design-event”: the Darfield
Earthquake.

But for the structure of the CTV Building to survive a substantially larger

earthquake, such as the Christchurch Earthquake, more robustness was necessary. One
key item missing in the CTV Building was a series of N-S support beams between the
columns. Such supports beams, although not a requirement of the design and building
codes of the day, would have improved the diaphragm transfer mechanism and inhibited the
possibility of the out-of-place buckling of the slabs along the E-W yield lines.
discussed further in Section 3 of this submission.
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2.

SUPPLEMENTARY INVESTIGATION WORK CONDUCTED
COLLAPSE

2.1

Ground motions

ON THE

CTV BUILDING

Surrounding the Christchurch CBD are four ground motion recording stations as part of the
Geonet monitoring platform. These stations are:


CCCC at the Christchurch Catholic Cathedral College



CBGS at the Botanical Gardens



CHHC at Christchurch Hospital



REHS at Resthaven Home

In the computational modeling using NLTHA, Compusoft used only the first three of this suite
of stations; the REHS station located on Bealey Ave was not used, ostensibly because of
soft soil deposits (possibly peat) near the surface. However, much of the CBD has pockets
of such soils, and it seems premature to discount the REHS station for this reason alone.
It remains unknown as to what the ground motion was exactly like at the CTV Building site
on 22 February, 2011 when the Christchurch Earthquake struck. The best practice is to
analyze the CTV Building structure at the other recording stations, as if the CTV Building
were located at those sites, then infer from the results any trends and likely outcomes that
may have occurred at the CTV Building site on the corner of Madras and Cashel Streets.
Naturally, the more results one can produce, the more robust the inferred outcome; greater
confidence can then be placed in the resulting conclusions. It was therefore inappropriate to
remove the REHS recording station a priori; the REHS station should remain as part of the
four-station suite of earthquakes until such time that sufficient evidence is compiled to
remove it.
Dr. Brendon Bradley was commissioned by Buddle Findlay to conduct an investigation on
the statistical significance of either keeping or removing the REHS station from the suite of
ground motions. In his report, Bradley presents a thorough analysis of the four-station suite
of ground motions. As part of his analysis, Bradley employed empirical ground motion
equations showing a range of results that may be expected at the CTV Building site.
Bradley’s empirically predicted range was then compared with the actual results from the
four Geonet recording stations. With some minor exceptions, the range of results (within the
probabilistically defined range for the CTV Building site) is well captured by all four ground
motion stations, as shown in Figure 2.1 for the Christchurch Earthquake and the Darfield
Earthquake.
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(a)

(b)

Figure 2.1.

The range of seismic demands expected at the CTV Building site
showing the 16th, 50th and 84th percent fractals for:
(a) the Christchurch Earthquake; and (b) the Darfield Earthquake.

Although the CTV Building had a natural period of vibration in the order of T = 1.0 seconds,
due to inelastic response the Compusoft results show that the CTV Building vibrated at
about 1.5 seconds and 2.0 seconds for the E-W and N-S directions, respectively. Over this
particular range, the four ground motions fall mostly within the 16 to 84th percent fractals of
probable behavior at the CTV Building site for both the Christchurch Earthquake and the
Darfield Earthquake. Based on this analysis, there appears little reason to remove any one
ground motion station from the suite.
Finally, Bradley went on to conclude that “the ground motions observed at the Christchurch
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Police Station, Westpac building, and Pages Road Pumping Station (PRPC) are not
considered appropriate for application at the CTV Building site.”
Notwithstanding the above, ARCL installed a strong motion CUSP accelerograph that is
compatible with the Geonet network at the CTV Building site. Several substantial ground
motions of earthquakes up to magnitude 5.2 have been recorded.
From these records the ground motions were analyzed by Dr. Geoffrey Rodgers. His work
was commissioned by the author and Buddle Findlay on behalf of ARCL.

Dr. Rodgers

analyzed the elastic response spectra for the earthquakes with magnitudes greater than 4.5.
In Figure 2.2, the results of the largest three earthquakes are compared with their companion
Geonet records observed at the four CBD recording stations. It should be noted that for two
of the three events presented there was one Geonet sensor inoperative—these results were
not selectively removed.
As shown in Figure 2.2, the CTV Building motion generally lies in between the CCCC and
REHS results. Perhaps on reflection, this similarity should not be surprising, as the CTV
Building site lies midway between the CCCC and the REHS stations, forming almost a
straight line-of-sight back to the epicentral region.
From the results in Figure 2.2, the following two key conclusions can be drawn:
(i)

The three records that were used by Compusoft to analyze the likely response of the
CTV Building should continue to be used. Further, the REHS station ground motion
that was not used by Compusoft displays similar responses to the other three
recording station (CHHC, CBGS and CCCC) ground motions that were used. This
confirms Bradley’s assertion that there was no valid reason to exclude the REHS
station from the Christchurch CBD station suite; the REHS site should be included in
the four-record suite for any future analyses.

(ii)

The CTV Building records are all evidently bounded by one or more of the other
earthquakes in the four-station suite of CBD ground motions. This independently
validates Bradley’s class of conditional seismic demand envelop that also
encompasses the CTV Building site.
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(a) M5.2 26 May 2012

(b) M4.8, 21 May 2012

(c) M4.6 13 April 2012
Figure 2.2. Acceleration response spectra comparison at the CTV Building site with
the other Geonet recording stations within the Christchurch CBD (when
actively recording).
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2.2

Concrete Testing

As discussed in section 1.4 of this submission, CTL tested eight 145 mm diameter core
specimens, where the coring was performed parallel with the longitudinal axis of the column
segments retrieved from the CTV Building after its collapse. The cores were sent to an
independent concrete testing laboratory in the United States for compression strength testing
by CTL, and the testing was conducted in accordance with international best practice.
The 145 mm specimens were further cored down to 99 mm to obtain standard test
proportions. In ascending order, the results of the eight compression tests were as follows
(in MPa units):
28.4

30.3

32.5

35.8

39.1

48.2

70.1

75.1

The above results were normalized and then plotted in the form of a cumulative distribution
as shown in Figure 2.3. The process of the normalization is explained in the following.
First, it should be noted that the columns of the CTV Building had higher strength concrete in
the lower stories. Specifically, levels 1 and 2 specified 35 MPa, level 3 specified 30 MPa
concrete, while all other concrete in the CTV Building was specified to be 25 MPa, including
the column concrete at levels 4, 5 and 6. It was not known where in the CTV Building most
of the reclaimed columns were originally located.
It is reasonable and logical to assign the highest specified concrete strength (35 MPa) to the
two highest test results, the intermediate strength (30 MPa) to the third ranked test result,
and the most common concrete in the columns (25 MPa) to the five remaining test results.
The results were then normalized using:

f’c / f’c specified
A cumulative distribution of these normalized results is plotted (with the staircase lines) in
Figure 3. A two-parameter lognormal distribution has been fitted to these results using:


median of f’c = 1.5 f’c specified



lognormal standard deviation of  = 0.23.

The lognormal standard deviation is approximately equal to the Coefficient of Variation
(COV) of a normal distribution. Good agreement between the observed test results (the
staircase line, shown in red) and the empirically fitted distribution (via a standard equation
that gives the smooth curve, shown in blue) is evident.
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Comment: The staircase-type line (in red) exists because there are only eight samples. If
there were many more test observations, and those results conformed to the above calculated
modeling parameters, there would be many small steps in the staircase and the red line would
tend toward the smooth mathematically modeled blue curve.

The general result that f’c = 1.5 f’c specified should be no surprise for two reasons.

First, a

well-known and common recommendation for evaluating the strength of existing aged
concrete is to take the assumed strength at 50% above the specified strength. Second, the
dispersion of the results ( = 0.23) is quite similar to that for concrete, where the COV can
vary from 0.15 to 0.25.

Figure 2.3.

Cumulative distribution plot of the normalized concrete strength
from the CTL test results. The eight test cylinder samples were
cored from the longitudinal axis of the CTV Building columns.

Based on the evidence of the CTL physical test results, the comprehensive forensic tests of
the concrete material and the above analysis, the following may be concluded for any
future analyses, including NLTHA:
the in-situ strength for the CTV Building should be assumed to be:

f’c = 1.5 f’c specified
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When conducting an advanced analysis such as NLTHA, it is always prudent to perform a
few “swing analyses” to examine the sensitivity of the overall outcomes to values adopted for
certain key parameters. In the case of the CTV Building, the concrete strength is a very
important parameter, largely because the columns are compression-critical. It is for this
reason that the lower values previously used by Compusoft should be retained to model the
extreme possibility of weaker concrete. The Compusoft analyses used concrete strengths
amplified some 10% above the specified strength. With respect to the median concrete
strength observed in the CTL tests, the Compusoft assumed concrete strengths fall
approximately on the 10th percentile of the distribution (see the blue curve in Figure 3).
While it is reasonable to conduct a few analyses at the 10th percentile in the distribution of
strength, it is considered to be entirely unreasonable to base all NLTHA and thereby the
general conclusions on such a low level of material strength.
2.3

Additional Concrete Testing on CTV Building Columns

An inspection of the Burwood dump site revealed that there were several columns remaining
from the CTV Building that were in relatively good condition. The columns were evidently
from the 6th floor level, and thus would have had a specified strength of 25 MPa (see the
discussion in section 2.2 above). As part of a more comprehensive forensic analysis on the
CTV Building collapse it was considered essential that these columns be tested in a fullscale condition. Three specimens were retrieved by ARCL, and taken to the University of
Canterbury structural laboratory for testing under concentric axial compression at seismic
strain rates in the 10MN Dartec universal testing machine.
One purpose of this part of the investigation was to compare the results obtained from the
CTV Building columns with similar well-known test results on unconfined and confined
concrete columns in the 1980s. The earlier work has been reported in Mander (1983) and
Mander, Priestley and Park (1988a,b).

In those early University of Canterbury tests,

Christchurch-sourced ready-mixed concrete and steel reinforcing materials were used,
similar to the materials that were later used in the construction of the CTV Building. In the
comparative test evaluation, the aim was to investigate whether any unusual surprises in
performance existed—especially when tested under dynamic loading rates.
A second purpose of the full-scale testing was to investigate any size effect that may have
been present. The so-called “size-effect” in concrete structures is based on the fact that
when the size is increased by a factor of 4 (from the 100 mm diameter test cylinders, to the
400 mm diameter prototype column), the failure stresses are not the same.
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evidence shows that the larger scale leads to a smaller failure stress; in simple terms this
reduction can be thought of as being akin to the weakest-link-in-the-chain theory. In the
case of the University of Canterbury tests performed in the 1980s, the size effect was found
to be a 15% reduction in capacity.
A third purpose of this testing was to examine the performance of concrete column elements
that exhibited a poor post-collapse condition. The third specimen, yet to be tested, visually
appears to be in poor condition; the concrete may have been damaged, either from the
collapse or the fire. A photograph of the three specimens prior to testing is presented in
Figure 4. The damaged central column shown in the photograph will be used to develop the
third test specimen. It is expected that the performance may be inferior, but as to what
degree it is not clear. The results of the third specimen test may give some insight into the
low concrete strengths inferred as a result of the Opus testing.

Figure 2.4. The three column portions retrieved from the CTV Building used in the
full-scale testing conducted at the University of Canterbury
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Dr. Rajesh Dhakal was commissioned to conduct the testing in the Dartec universal testing
machine at the structures laboratory at the University of Canterbury. At the time of writing
this submission, the results of the final specimen test along with further analysis are not yet
complete. Provisional results from the first two tests reported to date show the following:


The concrete strength is above the specified value of f’c = 25 MPa.



There is a size-effect present. This may be in the order of f’co = 0.85 f’c , where:
o f’co = the in-situ strength of the full scale structural concrete; and
o f’c = the standard 100 mm x 200 mm test cylinder strength for the concrete
taken from the same pour.

Finally, once the testing and analysis is complete, more definitive recommendations can be
made on the precise concrete strengths to be used in any future NLTHA on the CTV
Building.
2.4

Column Performance Analysis

Figure 5 presents the CTV Building under the sidesway motion effects of an earthquake.
For the E-W components of ground motion, the CTV Building really exists in two parts: (i) the
frame; and (ii) the shear wall systems which consist of the South shear-wall and the North
Core. To view more simply how this dual system functions, Figure 5(a) shows an elevation
of a typical interior frame connected through rigid links to the wall system. The links provide
the in-plane connection that represents the floor diaphragm. The aim of the present analysis
is to examine how half-high column components would function under the same type of
lateral displacements, as shown in Figure 5(b).
Earthquake structural engineers commonly refer to the interstory displacements as the “drift”
or more strictly the total story drift-angle t = Hs, where:


 = the lateral displacement of one floor with respect to the floor below; and



Hs= the story height or the distance from a given floor to the floor level below.

As shown in Figure 2.5, during an earthquake, the drift on any one story in the frame (t) is
imposed by the displacement compatibility with the North Core (shear wall) and South shear
wall of the CTV Building—both the frames and the walls are constrained to have the same
drift angles.
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Figure 2.5. Initial seismic behavior of the CTV Building in a “sidesway mode”
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The NLTHA results presented in the Compusoft report (refer to levels 2 to 5 in Figure G.6)
show that the walls swayed laterally essentially at a constant drift angle with respect to the
ground.

It is for this reason that the performance of the critical components can be

determined by seeking the critical columns in the structure through modeling the
components as in Figure 5(b)—each column is constrained to have the same displacement
field, only the axial load will change as the story changes.
The total drift angle (t) on the system is composed of three components as follows:

t = c + b + j
in which

c = the rotational angle (drift) contribution of the columns;
b = the rotational angle contribution of the beams; and
j = the distortion angle of the beam-column joint region.
The interstory drift for each story level is essentially constant, thereby putting the columns
into double bending with inflection points at mid-story height. Thus over the height of the
walls, the subassemblage representations shown in Figure 2.5(b) and also Figure 2.5(d) and
2.5(e) are a reasonable approximation of general seismic performance.
For a subassemblage over the lower four stories of the CTV Building, an analysis shows that
for the interior connections, the columns are weaker than the beams. Therefore, “pushover”
analyses on a half-high column component (Figure 2.5(b)) have been conducted for the
interior columns as single column components. The results are presented in Figure 2.6 and
Figure 2.7.
Figure 2.6 presents results for the case where only normal gravity load exists on the
columns; that is, there is no concurrent amplification from vertical earthquake motion effects.
An analysis was conducted for each story using the two concrete strengths. In the left-hand
column, results are presented assuming the specified concrete strength + 2.5 MPa. Recall
that this is also the strength Compusoft assigned in their analyses. According to the more
recent test results described in Section 1 above, the Compusoft assumed concrete strengths
would fall on approximately the 10th percentile of the probable range, so there is a 90%
chance that the concrete is stronger than Compusoft assumed.
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f’c + 2.5 MPa

f’cp = 1.5 f’c

5

4

3

2

1

Figure 2.6. CTV Building column performance for normal gravity axial load effects.
(The analysis assumes double curvature implying a mid-story inflection point leading to the most
adverse column shear force demand)
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The Compusoft analysis case is therefore considered to be representative of a lower-bound
strength condition. The right column presents the results for the median value concrete
strength based on the CTL test results (50th percentile = 1.5 f’c of the specified strength), and
is considered to be more representative of the probable in-situ condition of the concrete.
From a general inspection of the results in Figure 2.6, it is evident that both the lateral load
resistance (which is the same as the shear force in the column for the particular story) and
the deformability of the frame (the drift capacity) improve as the concrete strength increases.
An accurate definition of “drift capacity” is difficult to determine, but is generally considered to
be when the structure has lost some ability to carry substantial lateral load. In lieu of a more
precise definition, “drift capacity” is often taken as the drift when the post-peak lateral load
(column shear) falls to 80% of the peak value.
Figure 2.6 also shows that in the lower stories the deformability of the structure becomes
more restricted as the axial load increases with respect to the concrete strength. More
specifically, the third floor appears the most critical in terms of strength and drift capacity.
This will be examined below for the more conservative of the two cases (f’c + 2.5 MPa).
Figure 2.7 presents results in a similar fashion to those shown in Figure 2.6, but with one key
difference. The axial loads used in each analysis were taken as the maximum axial loads
registered for the CCCC station ground motion NLTHA results for the Christchurch
Earthquake, as depicted in Figures 52 to 55 of the Compusoft Report.

During the

Christchurch Earthquake, there were large amplifications of vertical (axial) load due to the
extremely high vertical ground accelerations.
Because the frequency of the vertical components is some 5 times greater than the
horizontal response (3 Hz for the floors-columns system vs. 0.67 Hz for the E-W frames), it
is inevitable that the two displacement and force maxima will coincide momentarily,
producing extremely high loading and stress demands on the materials. If the materials are
overloaded, this means at least some partial damage (breakage) of the weakest of those
vulnerable components.
When compared to Figure 2.6, the results in Figure 2.7 do indicate that the structure of the
CTV Building was vulnerable to the vertical motions as a consequence of the extremely high
dynamic axial load effects. It should be noted that this aspect of vertical horizontal load
coupling was not correctly modeled in the Compusoft analyses. In its modeling, Compusoft
reported the level of axial load and moment, but did not adjust the moment-axial load failure
surface accordingly.

It is for this reason that Figure 15 of the H-S Report displays
27

BUI.MAD249.0446.28

inadmissible results. Numerous data points are plotted outside the failure surface—such
performance is (theoretically) physically not possible.

When the load path reaches the

“failure surface” (think of this as a fence) something has to “fail”, either:
(i) the steel yields; this happens for low levels of axial load in the upper stories under
normal gravity load (less than 1100 kN in Figure 15 of the H-S Report); or
(ii) the concrete crushes; this occurs in the lower stories under normal gravity load, and
also the mid-height stories under the high level of axial load caused by vertical
acceleration effects (as for axial loads more than 1700 kN in Figure 15 of the H-S
Report).
While the outcome in paragraph (i) is desirable, the outcome in paragraph (ii) in contrast
may be catastrophic. This is especially true if the column is in an unconfined condition, as
was the case for the CTV Building. Had the column axial load-moment interaction been
modeled correctly, then many (yield or failure) points would be plotted on the outer curves,
not beyond them. What this means is that the post-peak performance of the CTV Building,
and the consequent redistribution of forces, has not been tracked correctly.
Therefore, the clearly demonstrated modeling inaccuracies of the failure criteria puts a large
cloud of doubt over most of the results in the H-S Report, and in particular the interpretation
of the results. This is particularly true for the lower two stories of the CTV Building, where
the failure trigger may have initiated. Take for example the column at level 2, by considering
the left-hand column graphs in both Figures 2.6 and 2.7. In both cases, the effect of the
higher axial load was to reduce both the resistance force (roughly a 10% reduction in
strength, and embrittle the column. Embrittlement here means that the column has less
ductility or deformability capability, specifically a 50% reduction in drift capacity.
If there was a sway failure, such as that modeled in Figures 2.6 and 2.7, the structure of the
CTV Building would have attained only modest drift and then collapsed; indeed a collapse
following the Darfield Earthquake even would have been conceivable.

Moreover, there

would be supporting forensic evidence of observable damage amongst the rubble. One
would expect to observe many columns, at least all of the interior columns of one story along
lines 2 and 3, to fail in this way. The damage would propagate out from the joints and cover
much of the length of the columns—yet this was not the failure model for the CTV Building
collapse.
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f’c + 2.5 MPa

f’cp = 1.5 f’c

5

4

3

2

1

Figure 2.7. CTV Building column performance assuming gravity axial
plus seismic axial load effects.
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So what was the actual cause or trigger for the failure and eventual collapse of the CTV
Building? Some clues, but not the complete answer, are given in the section 2.5 below on
beam-column joints, and a full solution is postulated in Section 3 of this submission.
2.5

The Problem with the Beam-Column Joints

In the failure of structures, there exists a strength hierarchy, where the failure generally
originates within the weakest link of the chain of resistances. In the context of a normal
seismic design of frame structures, the strength hierarchy (from weakest to strongest) is
normally:
(i) Beam bending (flexure). Beams are chosen to be the weakest link in a chain of
resistance because in a building there are many plastic hinge regions at the ends of
beams that serve as the hysteretic energy dissipation system under large sway
reversals.
(ii) Column bending (also called column flexure). Columns are generally designed to be
stronger than beams, and deliberate strength enhancement is typically 100% or
more.
(iii) Joint shear. Joints are protected from failure by the presence of tightly wound spirals
or closely spaced hoops.
(iv) Foundation capacity. The substructure is normally designed to be stronger than the
superstructure, as damage is difficult to observe and/or repair when below ground.
In the case of the CTV Building, under an E-W sidesway analysis for the type of
substructures presented in Figure 2.5 above, the strength hierarchy, (from weakest to
strongest) is:
(i) Joint shear
(ii) Column flexure
(iii) Beam flexure
(iv) Wall Capacity
There are several reasons the beam-column joints in the CTV Building were the weakest,
and thus most vulnerable, elements. First, the joints have a small cross-sectional area (note
that the joint shear strength is proportional to the concrete area). Second, there was no
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transverse spiral reinforcement within the joints surrounding the longitudinal column bars; if
present and closely spaced, such spirals can add substantially to the joint strength. And
third, the shear force demands are significantly higher in the joint regions compared with the
adjoining beams and columns.
The problematic high joint shear stress intensity is illustrated via the analysis presented in
Figure 2.8. First, a subassemblage is extracted, as shown previously shown in Figure 2.5(e).
The force actions at the inflection points (which are at the end of the members shown) are
shown in Figure 2.8(a). Next, if the beams are removed, their effect must be replaced by
applying equivalent beam-end forces arising from the loads carried by the reinforcing bars
going into and out from the joint region, as depicted by Figure 2.8(b). The left-hand side of
Figure 2.8(b) shows the bending moment diagram (BMD) for the column, including the
effects through the joint region. By differentiating the column BMD over its member length,
the shear force diagram (SFD) is derived as shown on the right hand side.

Vjh is the

(horizontal) shear force intensity through the joint; calculations show that this will be some
5.3 times greater than the column shear force, (Vcol) for the CTV Building.
As the joints do not possess transverse reinforcement, the joint shear resistance is provided
by a corner-to-corner arch (or strut) within the joint, as shown in the drawing of the beamcolumn joint in Figure 2.9. The magnitude of this joint-strut force cannot be resisted without
the concrete within the joint becoming overstressed.

Furthermore, reinforcing bars and

concrete on the (opposite) off-diagonal of the joint are in tension, and this tensile action
causes a progressive weakening of the compression resistance of the concrete within the
strut.
On the first pulse of the Christchurch Earthquake, if the inertia forces pushed the CTV
Building from left to right (as shown in Figure 2.9), the forces in the joint may have been
resisted without too much damage to the concrete. But if the axial load in the columns is
high, as it was in the lower stories of the CTV Building, at least some damage will be done.
It is this damage, promoted by the tensions in the off-diagonal that leads to progressive
“softening” or weakening of the concrete on subsequent cycles.
Calculations have been performed that show that the overall joint forces will restrict the
potential input forces from the columns to about 70% of the potential maximum of that shown
in Figure 2.7. Therefore the columns, apart from during the initial cycle, will remain mostly
undamaged. Yet the condition of the beam-column joints will continue to deteriorate as the
cycling progresses.
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(a) A typical interior beam column joint subassemblage showing the seismic
loading actions under the frame, sidesway from left to right.

(b) The column extracted from the subassemblage in (a) above. Note: the
beams have been removed, but the incoming and outgoing forces provided
by the beam reinforcement are shown instead.
Figure 2.8. An interior beam-column joint subassemblage
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Figure 2.9. The beam column joint region
Shown are the vertical column steel (pink), the beam bars (brown) and the
diagonal joint-strut. The concrete strut resists the column axial load plus the
bending actions from the columns and beams.
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The weaker joints in the CTV Building were a mixed blessing. The weaker joints actually will
have acted like a fuse and therefore protected the columns from any further damage.
However, over time the concrete will have worn down to the point where it could no longer
sustain the axial load passing from the story above through the joint to the story below.
In spite of the deterioration in the beam-column joint zones, if the structure remains well tied
together by the floor diaphragm, and also tied back to the shear wall system, the columns
remain “trapped” and unable to fail due to a sidesway action. Of course the joints must
continue to be capable of transmitting the vertical load. Providing the axial load path can be
maintained and the joint concrete does not crush excessively, the joints continue function as
a fuse. This initial phase of the partial failure, where the joint system acts as a fuse, is
shown in Figure 2.10.

Figure 2.10. The modified sidesway mechanism arising from the
presence of “weak” beam-column joint regions.
(Note the joints act like “fuses” and protect the columns from further
deterioration.)
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Based on an examination of all the beam-column joints in Figure 2.10, it may be noted that
the exterior beam-column joints may have “failed”.

Failure of these connections is

considered to be one of the primary triggers that “releases” the neighboring columns, giving
them room to move laterally (sideways) at one floor level with respect to the floors above
and below. It is hypothesized that this is the “trigger mechanism” that eventually led to the
collapse of the CTV Building. But it should be noted that for such a failure to occur after the
“trigger mechanism” has released the beam, no further external loads need be applied,
instead the gravity load alone is sufficient to collapse the structure.
2.6 Expected Seismic Performance of an Exemplar Structure in the Christchurch
Earthquake.
One might wonder how other buildings built in accordance with contemporary codes of
practice perform in the Christchurch Earthquake. This topic has been investigated and
recently reported at the 2012 New Zealand Society of Earthquake Engineering (Mander and
Huang, 2012).
For many years senior undergraduate civil engineering students at the University of
Canterbury have been taught the principles of design of multi-story reinforced concrete
buildings, with a particular emphasis on seismic loading effects and the detailing of the
reinforcement for ductility. The exemplar structure used as part of the educational process is
the so-called “Redbook” building. This is a 10 story precast concrete structure, it could
perhaps be considered a modern rendition of the CTV Building.
A comprehensive computational analysis was undertaken for 20 different strong earthquake
ground motions whereby “incremental dynamic analyses” (IDA) were performed at
increasing levels of seismic intensity until the structure “collapsed.” The results were then
characterized in a probabilistic sense so that the median response and the dispersion of the
outcomes identified in a risk-based format similar to that described in Mander et al (2012).
The computational analysis results of the general ability of the exemplar “Redbook” structure
to strong earthquakes were then compared to the seismic demands imposed to similar
structures in the Christchurch region. The outcomes were characterized in terms of a
damage ratio with respect to the distance to the epicenter of the Christchurch Earthquake,
that is the cost of repairs or replacement to that of a similar structure constructed under
stable economic conditions prior to the earthquake.
The analysis was also expanded to investigate the ramifications of the likelihood of fatalities
arising from a collapse and the expected downtime due to the earthquake-induced damage.
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Additionally, several swing analyses were conducted to examine the sensitivity of the
structural strength and reinforcing details on the general seismic performance. A summary
of the certain key findings from the investigation are described below, full details may be
found in Mander and Huang (2012).
Figure 2.11 presents a so-called Damage Attenuation relationship for the “Redbook” class of
building to the Christchurch earthquake.

The results from the advanced computational

simulations are presented in a probabilistic fashion, so that an idea of the spread of potential
outcomes can be viewed. It should be noted that one cannot be emphatic about a certain
outcome as the results contain the uncertainties in the structural response, the uncertainties
in the distribution of ground motions due to soil variability and the difference of the asmeasured earthquake signatures at different sites based on actual Geonet data from the
Christchurch earthquake. Also, the volatility in the cost of contracting and reconstruction
after an earthquake is accounted for in the modeling. Therefore, there is considerable
variation in the outcomes.

Figure 2.11. Damage loss attenuation of the Redbook Building for the Christchurch
Earthquake. (Note, the loss ratio is defined as the repair to replacement cost with
respect to the construction cost prior the earthquake when stable economic conditions
existed. R is the distance from the epicenter of the earthquake to the location of the
building under consideration.)
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The extent of the CBD ranges from some 5 to 9 km from the epicenter.

From an

examination of Figure 2.11, it is evident that most structures (at least some 70%), particularly
those closer than 10 km to the epicenter would not (theoretically) survive, and would require
demolition and reconstruction.

In fact there is already sufficient anecdotal evidence to

support this analytical result. Thus in spite of modern buildings being constructed to
“textbook” standards, they could not have been expected a priori to survive the Christchurch
Earthquake.
Another question arising from this work is could one expect to see fatalities as a
consequence of the damage arising from the ground shaking?

Analysis results show

(Mander and Huang, 2012), that deaths are not likely providing the structure conforms to the
present day code-based design. However, loss to life and limb cannot be ruled out, and the
modeling results show there is at about a 10% chance that if a structure collapsed occupants
could be killed.
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3.

AN ALTERNATIVE GRAVITY-DOMINATED COLLAPSE SCENARIO

3.1

Overview of alternative hypotheses

During the Canterbury earthquake sequence commencing with the Darfield Earthquake and
leading up to the Christchurch Earthquake, substantial damage had already been inflicted
upon structures throughout Canterbury. The CTV Building, in particular, had already met or
exceeded the seismic design limits of it structural system. In the design of the CTV Building,
the design engineer chose to transmit all seismic inertia forces accumulated by the mass
distributed throughout the structure, back through the floor diaphragms to the shear walls,
and then in turn to the foundations. The remainder of the structure was detailed principally
for gravity loads, and a check was made that the principal gravity load bearing components
(the columns) were not put under excessive sidesway displacements for the design seismic
loads.
It is evident however that the first earthquake in the sequence, the Darfield Earthquake,
exerted inertial loads that either met or exceeded the design expectation. The Darfield
Earthquake, similar to the Christchurch Earthquake, also had very high vertical motion
acceleration components. Historically by design, vertical accelerations have been expected
to be about two-thirds of the horizontal acceleration components. This was roughly the case
for the Darfield Earthquake, but only over a relatively narrow frequency band. For high
vibration frequencies greater than about 3 Hz (period < 0.33 sec), the vertical acceleration
components were exceptionally high (Sa [T < 0.3s] > 0.35 g)—considerably more than the
normally expected two-thirds of the horizontal components.
These exceptionally high vertical accelerations tend to vibrate the vertical load bearing
elements, such as columns and floor slabs. While the exceptionally high vertical motions
were not the sole cause of failure, they certainly added considerably to the resulting
damage. It is for this reason that people did not want to work in the CTV Building—they
were uncomfortable with their work environment. The slabs in particular were evidently not
behaving as they should have, by design. And it is for this reason that the CTV Building
should have been Red-Stickered.

The liveliness of the CTV Building was the primary

evidence that the structure had damaged connections and that the CTV Building was illprepared to survive further shaking, in particular an earthquake that was greater than
another design-level event.
As eyewitnesses from both inside and outside the building reported, when the Christchurch
Earthquake struck, initially the CTV Building swayed violently in all directions. After several
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seconds of this violent shaking it seemed as though the structure had come to a rest, then
collapsed (for example, [WIT.WILLIAMS.0001.3, WIT.CAMMOCK.0001.5, WIT.LEE0001.4]).
Although the H-S Report is rather vague in its conclusions, it does elude to a collapse of the
CTV Building initiated primarily from sidesway motions. The supporting Compusoft analysis
was strictly unable to arrive at any other result, because the dynamic hysteretic momentaxial load interaction effects were not properly modeled in the Compusoft analysis. For
example, the computational model simulations were unable to capture the possibility of a
classic Euler buckling-type of columns failure due to column compression overload induced
by the “exceptionally high” vertical vibrations.

Furthermore, the connections between

structural elements were modeled as rigid blocks. This is a customary approximation made
in design-based simulations, but for a forensic analysis when demonstrable damage of the
beam-column joints was clearly discernable, the assumed simplification was not sufficient.
In the remainder of this Section 3, alternative collapse hypotheses will be presented. Where
appropriate, the hypotheses draw from the reported data in the H-S Report along with
eyewitness evidence, to arrive at different conclusions. The analysis does not rely on the
faulty assumptions inherent in the original H-S Report. The specific erroneous assumptions
were that the concrete (as-built) was substandard and that the beam-columns joint zones
were rigid.

In contrast, the alternative collapse hypotheses use rational mechanics,

supported by eyewitness statements, to deduce a type of behavior that conceivably occurred
which led to the collapse of the CTV Building.
It should be noted that this collapse mode is not a radically new idea; Mr. Holmes points this
out in his peer review of the H-S Report (BUI.MAD249.0372.9). Holmes also rightly points
out the deficiency in the modeling of the joint strength and the dependence on sidesway as
an explanation of the failure mode. He then goes on to propose that a collapse mode over
more than one story was necessary for a collapse trigger mechanism to form. Holmes stops
somewhat short of completing the solution, but it is considered that he was certainly heading
in the correct direction.
Early in the Christchurch Earthquake, there was a substantial velocity pulse in the NE-SW
direction. The velocity pulse was about 0.7 m/s. Due to its diagonal orientation with respect
to the N-S facing building, this pulse would excite the structure of the CTV Building in both
the E-W and N-S directions. The collapse mechanisms are the considered by decomposing
the overall ground motion effects into each of the two orthogonal directions: E-W and N-S.
An alternative collapse hypothesis is first examined by considering the motions in the E-W
direction, from which it is shown that previous damage along the West wall, as well as
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inadequate lock-in details of the E-W beams into their seats, led to the unseating of those
beams along line A.

This eventually led to a subsequent overload of the neighboring

columns. Those neighboring columns would have been overloaded in axial compression,
especially when considering concurrent vertical vibrations arising from the exceptionally high
vertical accelerations.
The second part of the collapse hypothesis considers the motions in the N-S direction. The
N-S direction has gathered much discussion by others, which all refers back to the perceived
inadequacy of the drag-bars.

The lack of, or failed drag bars would be affected by a

northward pulse, where the inertial forces are directed south causing the floor diaphragm to
pull away from the North core. It will be hypothesized however, that the opposite action is
also likely—that under northward inertial forces the floors may “crumple up” (in technical
terms, buckle downwards). This leaves sufficient movement room so floor slabs from one
floor to the next can move such that the columns to take up a buckled shape over four-floor
levels; when coupled with excessive vertical overload, buckling of the columns ensues,
along with a global collapse mechanism.
There is a corollary of the abovementioned northward motion induced collapse. A similar
collapse mechanism occurs due to southward movement of the floors. Because of the
absence of drag bars in the lower stories, the floors are somewhat free to move away from
the North core permitting a buckled shape to form.
It should be noted that in both cases the formation of the collapse mechanism is in three
parts. First there must be an action that leads to a trigger, this leads to incipient failure or the
first part of the failure, and finally there must be a statically admissible mechanism that can
form that lead to the collapse mechanism proper.
3.2

Collapse Mechanism in under East-West Shaking

The Trigger
Figure 3.1 presents the sequence of events that led to the trigger action. According to the
Compusoft results, the effects of the large velocity pulse as recorded at the CCCC station
would be felt from about 4.5 to 6 seconds. Although the veracity of the Compusoft results
are questionable for various reasons already stated, it serves as an interim indicator of the
displacement demands experienced (refer to Compusoft, figure G.5). Here, interstory drifts
of about 3% are indicated for all floors, or in other words a differential movement from one
floor to the next (either above or below) of some 100 mm.
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Sequence

Sketches

Stage 1
The building sways to the west with a
large velocity pulse. The E-W beams on
column lines 2 and 3 at the West wall
are required to form large negative
moments that cause the joint core
concrete and the beam-soffit cover
concrete to crush.
Stage 2
During the next half-pulse the building
lurches eastward. The beam along line
2 and 3 pull away from the west wall
and their line A column seats to form
the alternating positive moment. The
crushed cover concrete from the
previous reversal spalls off and the
beam slumps down a little, with a
partial or full loss of seating. Due to the
loss of seating at the support line A
there is a transfer of the previous
gravity load from the tributary area of
the beam onto the neighboring
columns on line B. This action an axial
force increase of up to 40% the
columns along line B

Stage 3
As the building attempts to return to an
upright condition by moving west, the
unseated beams are inhibited from fully
returning due to the presence of the
west wall.

Figure 3.1. Beam-to-column connection failure sequence at the west wall;
a trigger for the East-West Collapse Failure Mode
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Stage 4
Permanent differential deformations
remain, that inhibit the columns along
line be from remaining straight. This sets
the columns up for a classic Euler
buckling type failure, especially under
further axial load derived from vertical
accelerations and their consequent
vibrations

Figure 3.2. Four-story double bending buckling failure starting on column Line B

Leading to the East-West Collapse Failure Mode

42

BUI.MAD249.0446.43

The effects of such movement lead to the initiating trigger action are shown in Stage 1 of
Figure 3.1 where the E-W beams move eastward causing a large negative moment (tension
in the top steel, compression at the beam soffit) to form. The concrete at the beam soffit
would be expected to crush, as well as the weaker concrete into the joint. On motion
reversal toward the east, any crushed/spalled concrete is expected to breakaway as shown
in Stage 2 of Figure 3.1. The reaction on the soffit in turn vanishes.
In Stage 3 of the sequence, the reaction is instantly transmitted to the neighboring column on
line B. It is estimated the when including vertical motion effects, there is a 400 kN increase
in the axial load on the second storey level of columns. This effect leads to the formation of
the incipient collapse mechanism as shown in Figure 3.2.
The Incipient Failure
Figure 3.2 presents the formation of the incipient failure mechanism. For this to occur there
needs to be a relatively small “perturbation” or inherent fault. In this case a small differential
displacement over the floor height suffices. The mechanism consists of a column under
double bending over four-floors.

This concurs with eyewitness reports (for example,

[WIT.SPENCER.0001.3, WIT.FORTUNE.0001.5, WIT.GUTTERIDGE.0001.3]).
It should be noted that for this mechanism to form, the demands on the beam column joints
are relatively modest. For example, there is no moment within the joints at level 2 and 4,
while level 3 has high moment through the joint and essentially no moment. Calculations
show that incipient collapse would occur once the differential story movement of 37 and 42
mm (equivalent to a single bending drift in this case 1.15% and 1.3%) for the cases of
columns with concrete strengths of f’c+2.5MPa and 1.5f’c, respectively.
The Collapse Mechanism
If the collapse is initiated at the west wall, then it follows there is an eastward failure from
moving from column lines B to F. This is explains why more debris fell near the Madras
Street corner of the building. The collapse mechanism is presented in Figure 3.3. It should
be noted that the mechanism once fully formed, will push the walls out first at level 3 at the
east end along column line F, then secondly at level 2 the lower column will blow out due to
the now very large lateral displacements in the columns. This is consistent with eyewitness
observations.
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Figure 3.3. Formation of the E-W Collapse Mechanism

3.3

Collapse Mechanism under North-South Shaking.

3.3.1 Northward Mechanism
The Trigger
Figure 3.4 presents the sequence of events that led to the trigger action. From Figure G.3 of
the Compusoft results, the effects of the large velocity pulse as recorded at the CCCC
station would be felt from about 4.5 to 6 seconds where interstory drifts in the range of 2.3 to
2.5% are reported. Coupled with this are substantial vertical vibrations in the slab arising
from vertical ground motion. Given the pre-existing damage that was evidently observed by
eyewitnesses due to the liveliness of the CTV Building, it is possible that much of the metal
tray-deck had de-bonded, with the floor slab going into catenary action.

The vertical

vibrations in the Christchurch earthquake would have caused further damage. And along
with inertia forces in the northerly direction the combined effect led to the downward shape
buckle (or folded plate), as depicted by the red curves in Figure 3.4.
The Incipient Failure
The folded plate action would provide sufficient movement for the columns at levels 2, 3 and
4 to also translate northward, permitting a double bending buckled shape to be set up over
the lower four stories. This is shown by the green curve in Figure 3.4. The calculations are
similar to those in the E-W mechanism described above, except the extra beam weight is not
added. Calculations show that incipient collapse would occur once the differential story
movement of about 1.2% interstory drift occurs.
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The Northward Collapse Mechanism and it Southward Corollary
If the collapse mechanism is initiated, it would be most likely along column lines 3 at possibly
rows C or D. Once these columns collapse downward they release load which in turn must
be carried by their neighbors. Consequently, the surrounding columns are also over loaded,
bringing the entire structure down.

It should be emphasized that the main reason this

mechanism can occur is because the building possessed only one-way slabs that were
beamless in the N-S direction. The diaphragm stiffness was consequently low, thus the
slabs had a high propensity to out-of-plane buckling due to in-plane seismic loads. Again,
this downward out-of-plane slab-buckling was exacerbated by the exceptionally high vertical
accelerations.
3.3.2 Southward Mechanism
The Trigger;
There is a corollary to the above described northward motion-induced buckled plate/column
collapse mechanism. Suppose a large pulse acts in the northerly direction, inertia forces act
southward and the floor slabs are dragged away from the wall. Irrespective of the merits of
whether the drag bars had sufficient capacity to restrain these inertia forces, the fact remains
that there were no drag bars in the lower stories. Such lack of restraint permits the lower
level floors to move relatively freely southward, especially at the eastern side of the building
where there was a frame, but no wall (as on the west side) that would otherwise provide
some additional restraint.
The Incipient Failure
As the columns on lines 2 and 3 are free to move, they will form a buckled shape, as shown
in the green line in the lower diagram of Figure 3.4.
The Southward Collapse Mechanism
The structural columns were the most heavily loaded along column lines 2 and 3. Once one
or more of these columns become overloaded and tend to collapse downward, the loads
they previously carried needed to be transmitted to neighboring columns, which in turn
become overloaded.

Once several columns are overloaded, a general buckling of all

columns along a line develops, bringing the entire structure down.

The relative lateral

movement, initiated by the pullout of the wall anchorage led to a general buckling mode of
failure, this would exacerbated by the very high horizontal accelerations.
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SEQUENCE

SKETCHES

Step 1
Due to the lack of beams in the N-S direction and
very high vertical motions, the in-plane stiffness is
low. The slab buckles downward due to a
combination of upward vertical acceleration, and NS sideway of the frame.
Step 2
Because the slab buckles, and the columns lack
lateral support in the N-S direction, a 4-storey,
double bending column buckling mechanism forms.
Step 3
Column buckles and collapses.

Northward Collapse Mechanism
Step 1
Due to the absence of drag bars in the lower stories,
there is a large strain demand placed on the slab steel
connecting with the North core. After one or two
cycles the bars fracture due to low cycle fatigue.
Step 2
The columns on lines 2 and 3 lack lateral restraint from
moving independently southward, therefore they
move away from the north core. A double-bending
column buckling mechanism forms in the lower four
stories.
Step 3
Several columns buckle and the structure collapses
downward.

Southward Collapse Mechanism
Figure 3.4. North-South Collapse Failure Modes
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3.3.3 Summary remarks on failure modes
There have been three general failure modes postulated above.

 A four-story double bending buckling failure starting on column Line B leading to the
E-W collapse failure mode


A northerly motion induced collapse failure mode



A southerly motion induced collapse failure mode

What is common amongst all three failure modes is they require the same class of buckled
columns over the lower four stories. In fact it is conceivable that a combination of these
modes could coexist under a torsional (twisting) action of the structure. The failure modes
that led to the general collapse of the structure are consistent with eyewitness statements.
Because it was the lower four stories that collapsed, the only people who survived the
collapse were those in the upper two stories on levels 5 or 6 of the CTV Building.
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4. CONCLUSIONS
Based on the points raised and the analysis presented in this submission, the following
conclusions are drawn:
4.1

The CTV Building was designed and constructed in an innovative fashion. This
structure was one of the first in a new generation of multistory buildings in the 1980s
that used precast components. Instead of using a ductile moment frame as had
been the custom for cast-in-place structures of the day, the CTV Building was
designed with a “strong” wall system coupled with an “elastic” frame of columns and
beams to support a proprietary type of floor system composed of a lightly reinforced
slab cast on galvanized steel metal-rib decking. The Building was designed to the
NZS 4203 Loadings Code, and a deflection check was made to ensure the
displacements under the code-specified seismic loading were not excessive and that
the columns remained within the elastic range.

4.2

When the Darfield Earthquake struck, it imposed ground accelerations that were
essentially similar to the design limits for which the structure of the CTV Building had
been designed. As a consequence, the structure was damaged; such damage would
be expected, by design. The structure did not collapse, and met its design objective
of ensuring life-safety.

4.3

In light of the possibility of a large aftershock, and given the fact the engineers knew
many structures around Christchurch had either met or exceeded their design
expectations, they strictly should have been immediately Red Stickered by fiat; a site
inspection was not even necessary to make this decision. Following this period, such
buildings should have been both inspected and analyzed for collapse potential in
subsequent earthquakes. If necessary, gravity critical structures (such as the CTV
Building) should have been shored up to ensure collapse prevention while valuables
could have been retrieved and repair/retrofits implemented.

4.4

The CTV Building was inspected after the Darfield Earthquake and damage noted
and the building deemed safe to reoccupy. However, the owners/engineers evidently
did not pay heed to the many reports from the CTV Building occupants that the
building felt uncomfortably lively.

Further questions should have been raised

regarding the soundness of the structure by the owners and thoroughly investigated
by the assigned inspecting engineers.
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4.5

The CTV Building tragically collapsed in the Christchurch Earthquake with a
significant loss of life. An investigation into the collapse by the DBH led to the H-S
Report. This report has been discussed and critiqued in this submission. There are
several assumptions and various aspects of the H-S Report that bring into question
the veracity of the claims and conclusions. In fact the peer reviewer Holmes, as well
as the DBH expert advisor Priestley, are not in agreement with key aspects of the
report. It is for this reason further work is essential.

4.6

One of the key areas leading to faulty conclusions in the H-S Report concerns the
concrete strength. Testing and analysis commissioned by ACRL, and undertaken by
independent experts, demonstrated that the concrete was not deficient as claimed in
the H-S Report. In fact the concrete strength is likely to be in the range of 1.5 times
the specified design strength.

4.7

Another key area of deficiency in the analysis is the correct modeling of the columns,
coupled with the degrading strength of the beam-column joints. Axial load-moment
interaction was not correctly considered in the NLTHA. Also, the beam-column joints
that had no transverse reinforcement were modeled as rigid end blocks. As such the
strength deterioration that occurs when the joint core concrete cracks was not
modeled.

4.8

Further nonlinear time history analysis is needed to fully understand the nature and
causes of the collapse of the CTV Building. In those analyses it will be essential that
all four Geonet motions recorded during the Christchurch Earthquake are included in
order to correctly gauge the spread of results that might have conceivably happened
at the CTV Building site on February 22, 2011. Moreover, it is essential that the effect
of the weakened structure following the Darfield earthquake be captured. This is
most easily done via an end-on-end analysis, where the damage done in the Darfield
Earthquake is captured. In previous analyses detailed in the H-S Report on the work
performed by Compusoft, the program was stopped at the completion of the Darfield
Earthquake and then restarted as if the structure was undamaged at the
commencement of the Christchurch Earthquake.

4.9

Analyses as part of this submission show that a sway failure is unlikely, and that a
classic elastic Euler buckling failure over the lower four stories is possible in either
the E-W or the N-S directions. Such a failure does not rely on significant, if any, postelastic performance. The lower four stories were able to buckle due to the relative
movement of the floors with respect to the shear wall system, and the relative
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movement necessary to achieve this need only be small, in the order of 30 mm. The
collapse is primarily caused by the substantial increase in axial loads in the columns
due to the exceptionally high vertical accelerations.
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